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A B S T R A C T   

A structure, during its life, may be subjected to multiple hazards. These hazards are sometimes combined over a 
short period of time, or in some cases occur many years apart, with the first hazard influencing the structural 
response under a second hazard. A reinforced concrete (RC) structure previously damaged by fire and then 
exposed to seismic loading is one such example. To assess such structures, the effects of fire on the cyclic per-
formance of RC elements needs to be better understood. Moreover, it is also important to develop and validate 
strengthening methods that can reinstate or improve the seismic performance of fire-damaged RC elements. This 
paper presents the results of a novel experimental campaign where six full-scale RC columns with detailing 
representing existing Mediterranean buildings designed to old seismic codes are subjected to fire and then cyclic 
loading. Four RC columns were damaged after exposure to 30 or 90 min of the ISO 834 standard fire curve in a 
furnace and then tested under uniaxial cyclic lateral loading up to failure. Two of these columns were repaired 
and strengthened post-fire with Carbon Fibre Reinforced Polymer (CFRP) wrapping. The strengthening method 
aimed to increase the concrete strength through confinement, and to increase the displacement ductility and 
energy dissipation capacity under seismic loading. Two additional control columns, one as-built and another 
strengthened, were cyclically tested for comparison with the fire-damaged columns. It was found that the 30 min 
fire exposure resulted in few concrete cracks, whilst cover spalling and general cracking was observed in the 90 
min fire exposure. A significant decrease in the displacement ductility and dissipated energy of the columns was 
observed following fire exposure, even for the 30 min fire. The columns that had post-fire repair and CFRP 
strengthening, showed better cyclic performance than the control column without fire exposure. It was also 
found that post-fire strengthened columns may reach similar seismic performance than similarly strengthened 
columns without previous fire damage.   

1. Introduction 

1.1. Background 

Reinforced concrete (RC) structures are widely perceived to perform 
well in fires owing to the incombustibility and relatively low thermal 
conductivity of concrete, as well as the high thermal massivity of typical 
RC sections [1,2]. Although historically there have been several cata-
strophic failures during fire (or immediately after fire/upon cooling), it 
is generally accepted in engineering practice that, in most cases, 

concrete structures can be repaired and brought back to service [1,3]. 
Despite this fact, structural design for fire was performed for many de-
cades predominantly based on fulfilling life safety and fire spread pre-
vention objectives in a prescriptive framework of assigning (or 
providing) ‘fire resistance’ to structural elements, without explicit 
consideration of property protection design objectives. Performance- 
based approaches that would enable the design for defined structural 
performance criteria and property protection (and hence, repairability 
and service continuation after a fire) were only introduced in codes 
relatively recently [4,5]; however, their implementation is still not wide 
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in practice for concrete structures [6]. Although material behaviour has 
been studied fairly well (for example, fib Bulletin 46 [2] provides a re-
view of both high temperature and residual properties) as well as the 
behaviour of isolated RC elements under standard fire exposure during 
many decades of fire resistance testing, there are still knowledge gaps 
regarding the structural behaviour of RC structures in real fires, their 
post-fire behaviour during cooling, and their residual capacity, amongst 
others [6,7]. These are critical for assessing the condition of a fire- 
exposed RC structure and establishing efficient repair and retrofitting 
strategies, particularly since repairability, rapid reoccupation and 
structural resilience against multiple hazards become nowadays 
increasingly important [8]. 

Existing guidelines [2,3] for evaluating damage and the post-fire 
residual capacity are mostly focusing on qualitative and empirical as-
sessments, and structural analysis based on non– and partially destruc-
tive testing of the fire-exposed structural elements. Recent efforts were 
also made towards the development of intensity measures, damage 
indices, and quantifiable damage consequences for probabilistic per-
formance- and reliability-based assessments [8-10]. However, the latter 
are still a very active field of research and the respective framework for 
fire is not yet as well-established as in other fields, e.g. seismic engi-
neering. Performance-based approaches on the other hand are imple-
mented in seismic design codes (e.g. [11,12]), and more importantly 
they are implemented in the assessment and retrofit of existing build-
ings, since older structures that were not designed to current codes and 
construction practices often require explicit verification of their seismic 
vulnerability [13]. With regards to the combined hazard of earthquake 
and fire, there have been several studies addressing the fire response of 
structures previously damaged by earthquake [14-17]. However, 
earthquake is also a credible hazard for the remaining lifespan of 
structures in seismic zones that may be repaired and reused after an 
accidental fire event. Currently there is no design guidance in this di-
rection and only few experimental [18-22] and numerical [23-25] 
studies are available regarding the seismic/cyclic performance of fire- 
exposed RC structures. 

1.2. Residual cyclic behaviour of columns after fire exposure 

This paper focuses on the post-fire cyclic behaviour and retrofit of 
columns, which are critical elements for preventing the formation of 
soft-storey collapse mechanisms in RC-framed buildings during earth-
quake [13]. Early experimental results from columns tested under 
standard fire exposure followed by a cooling stage [26] indicated that 
temperature continues to increase significantly in the concrete core for a 
substantial duration after cooling has begun. In a numerical parametric 
study of axially loaded columns exposed to natural (parametric) fires, 
Dimia et al. [27] showed that due to this delayed/prolonged tempera-
ture rise within the core and the additional concrete strength degrada-
tion that occurs during cooling, collapse is even likely to occur in certain 
cases several hours after the compartment temperature has cooled down 
to ambient. Although the actual post-fire capacity mainly depends on 
fire severity, the geometric characteristics of the column (thermal 
massivity and slenderness), and the load level during fire [27,28], pre-
vious studies on columns that have cooled down to ambient after stan-
dard fire testing showed significant reductions regarding both the axial 
load capacity [29,30] and the lateral/flexural strength and stiffness 
[24,31]. 

With respect to the cyclic/seismic performance, the study by Ni and 
Birely [25] on the post-fire response of flexure-controlled RC walls 
corroborates the above findings regarding strength and stiffness degra-
dation, and in addition it shows that the failure drift of the walls reduces 
for standard fire durations greater than 60 min. An experimental study 
by Li et al. [20] on high performance concrete frames that were sub-
jected to 140 min of the ISO 834 standard fire [32] shows that fire 
damage resulted in significant pinching behaviour under cyclic loading 
compared to the corresponding unheated frames. Higher stiffness 

degradation and considerably lower ductility and dissipated energy 
were also observed in the fire-exposed frames. Demir et al. investigated 
the residual cyclic behaviour of flexure-critical columns made of normal 
strength concrete [21] and recycled aggregate concrete [33] after 
exposure to 30, 60 and 90 min of the ISO 834 standard fire. They also 
observed increasing reductions in the lateral load capacity, flexural 
stiffness and energy dissipation capacity of the columns with increasing 
fire durations, although the ductility factors were in all cases greater 
than 3.5 and considered satisfactory. Furthermore, they observed that a 
larger concrete cover depth has an adverse effect on the stiffness (and 
subsequently, the yield displacement and ductility) of the column, 
whereas it does not have a significant impact on the lateral load and 
energy dissipation capacity [21]. In [34], Demir et al. also considered 
the effect of ageing after fire exposure on the cyclic performance of 
columns to investigate the influence of the known long-term (partial) 
strength recovery of concrete [35]; however, they did not observe any 
significant differences between columns tested at 30 and 60 days after 
fire exposure, whereas no conclusions could be drawn from testing at 
360 days of ageing due to experimental problems. Nonetheless, as 
Mostafaei et al. [24] point out, despite the fact that concrete exposed to 
500 ◦C may gain up to 90% of its original compressive strength one year 
after fire, the risk of an earthquake occurring soon after the column has 
been exposed to fire cannot be neglected and this strength recovery 
cannot be relied upon. 

1.3. Current repair strategies and aims of the current work 

Traditional repair techniques involve the replacement of the over-
heated zone near the exposed concrete surface (often the concrete 
cover), such that it continues to provide thermal protection to the rebar 
and inner concrete core, or the enlargement of the concrete section using 
cast or sprayed concrete [1,3]. From the above discussion it becomes 
apparent that repairing a column “superficially” by cover reinstatement 
may not be sufficient for seismic resistance, since the concrete core can 
also deteriorate in natural fires due the propagating “thermal wave” 
during and after the decay phase of the fire, whereas cross-section 
enlargement can potentially be detrimental to the global structural 
response by affecting load paths and load redistribution during an 
earthquake. Furthermore, none of the reviewed studies above look at 
potential repair and retrofitting solutions that could improve the seismic 
performance of the RC elements previously damaged by fire. 

This paper considers fibre-reinforced polymer (FRP) wrapping in 
combination with concrete cover replacement as an efficient and rapid 
repair/retrofit strategy for fire exposed columns. Although nowadays 
FRP wrapping is widely used in column strengthening and seismic 
retrofit, previous research on strengthening fire-damaged concrete ap-
pears to be rather scarce. Previous studies showed that FRP wraps are 
very effective in increasing the compressive strength of plain concrete 
cylinders [36,37] as well as the axial capacity of small-scale reinforced 
columns [38,39], which were previously exposed to elevated tempera-
ture. Furthermore, Yaqub & Bailey [40] investigated the cyclic perfor-
mance of small-scale, shear-critical columns that had been previously 
heated up to a uniform temperature of 500 ◦C and strengthened by FRP 
wrapping. However, to the authors’ best knowledge there is no previous 
study regarding the effectiveness of FRP wraps in strengthening full- 
scale columns for lateral cyclic loading, which have previously suf-
fered damage from realistic fire exposures. 

This paper aims to investigate experimentally the cyclic response in 
lateral loading of (i) fire-damaged RC columns and (ii) post-fire repaired 
and FRP-strengthened RC columns, which were previously damaged by 
exposure to two well-defined, representative fire severities. These are 
realised by exposing the columns to the ISO 834 standard time-
–temperature curve followed by a decay phase, thus resembling to two 
realistic scenarios (of the many possible) that could be encountered in a 
real building fire. A standard fire testing framework is adopted herein 
such that fire damage and residual cyclic response are characterised 
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under well-defined conditions, and that the obtained experimental data 
can be used as input in fragility curve development studies (such as [8]), 
whereas it is anticipated that this will be complemented in the future 
with similar test campaigns in a representative spectrum of natural/ 
parametric (and real) fires. The repair and FRP strengthening techniques 
examined herein aim to reduce the post-fire seismic vulnerability of 
existing RC buildings which are typical in the Mediterranean region, by 
increasing the heat-affected concrete strength, the ductility and energy 
dissipation capacity of RC columns through external confinement. 

2. Experimental procedure 

2.1. Test programme 

The experimental campaign consisted of six full-scale RC columns 
and was divided into three phases, namely: i) fire exposure; ii) repair 
and strengthening of the columns; iii) lateral cyclic loading test with 
constant axial load until failure. Fire exposure was realised by means of 
standard fire testing in a furnace, for two different durations of the ISO 
834 time–temperature curve [41], denoted herein as ‘medium’ (30 min) 
and ‘long’ (90 min) for the purposes of the discussion that follows below. 
Two columns (M and M− S) were exposed to the medium fire duration 
and one column was later repaired and strengthened (M− S). Two more 
columns (L and L-S) were tested under the longer fire duration and then 
one of them was repaired and strengthened (L-S). The four specimens 
tested under fire conditions were subsequently tested under lateral cy-
clic loading. Two control columns were also cast that were not exposed 
to fire and were only tested under lateral cyclic loading. Both control 
specimens had the same geometry and detailing as the other columns, 
with one being unstrengthened (C) and the other being strengthened 
with CFRP wrapping (C-S). The fire exposure, repair and testing con-
ditions for each specimen are summarised in Table 1. 

2.2. Specimen detailing and material properties 

All column specimens had identical square cross-sections and rein-
forcement detailing. The specimens were designed according to an old 
Portuguese code [42] and consequently without seismic and fire re-
quirements. This code is representative of RC building design in Medi-
terranean countries in the 1950 s-1970 s, and each specimen represents 
a half-storey cantilever column of a 3.0 m storey height, at foundation 
level, of a structure with three or four storeys. Therefore, the lateral load 
was applied at a level of 1.5 m from the top foundation, but the column 
specimens had an additional 0.15 m length (1.65 m) to enable them to 
be attached to the lateral actuator. The geometry and cross-section de-
tails are presented in Fig. 1. The columns had a square cross-section with 
dimensions 0.30 × 0.30 m2, and the foundation consisted of a stiff block 
with dimensions 0.44 × 0.44 × 0.5 m3. The columns have eight 12 mm 
diameter longitudinal reinforcing bars (longitudinal reinforcement ratio 
of 1%) and stirrups of 6 mm diameter spaced at 0.15 m centres and 
having 90◦ anchorage hooks. The concrete cover was 25 mm, whereas 
the concrete mix contained crushed limestone aggregates with a 

maximum size of 25 mm. The specimens were all cast at the same time 
and cured for at least 6 months at ambient laboratory temperature and 
relative humidity conditions, to reduce the risk of explosive spalling 
during furnace testing. 

Table 2 summarises the mean values of the concrete and steel 
properties, where fcm is the concrete compressive strength of cylinder 
samples (Ø150mm × 300 mm), fym is the yield strength of reinforce-
ment, fum is the ultimate tensile strength of reinforcement and εcu is the 
ultimate strain of reinforcement. The concrete cylinder samples were 
tested according to the standard norm NP EN 206–1 [43], after 6 months 
of curing and when the first cyclic test was performed on the control 
specimen (C). 

2.3. Fire exposure setup 

The fire tests were performed using a vertical furnace with internal 
dimensions of 3.1 × 3.1 × 1.2 m3 (h × w × d) located at the Structural 
and Fire Resistance Laboratory at Aveiro University, Portugal. The 
furnace can perform standard fire resistance tests on materials and 
construction elements according to the European Standards. Propane 
gas is used to heat the furnace with burner outlets located at the two 
opposite narrow sides of the furnace. The entire front panel of the 
furnace is removable to permit specimens to be placed in and removed 
from the furnace. Fig. 2 shows the front and the lateral views of the 
furnace. 

Each of columns M, M− S, L and L-S was positioned centrally in the Table 1 
Specimens ID and corresponding fire exposure and repair and strengthening 
scheme.  

Specimen 
ID 

Fire 
Exposure 

Repair & strengthening scheme Cyclic 
Testing 

C – – Yes 
C-S – CFRP wrapping Yes 
M 30 min – Yes 
M− S 30 min Cover reinstatement and CFRP 

wrapping 
Yes 

L 90 min – Yes 
L-S 90 min Cover reinstatement and CFRP 

wrapping 
Yes  

Fig. 1. Geometry and reinforcement detailing: a) global dimensions; b) cross- 
section (dimensions in m). 

Table 2 
Mean values of the concrete and steel mechanical properties.  

Material Mechanical property 

Concrete fcm (MPa) 33.5 
Steel - Ø12mm fym (MPa) 445 

fum (MPa) 571 
εcu (%) 17.5 

Steel - Ø6mm fym (MPa) 540 
fum (MPa) 639 
εcu (%) 18  
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furnace and tested individually under the respective fire conditions. All 
sides of the foundation block and the column top were protected from 
heat with a 50 mm thick layer of ceramic fibre blanket insulation 
(density of 128 kg/m3) as presented in Fig. 2. This was provided to 
prevent fire damage (and hence premature failures) on the foundation 
block and load introduction point at the column top during application 
of the axial and lateral loads in the cyclic test. 

The temperature evolution during the fire test followed the ISO 834 
[41] standard fire curve for 30 min (here designated “medium” fire) in 
columns M and M− S and 90 min (designated “long” fire) in columns L 
and L-S. Standard fire durations of 30 and 90 min were selected in order 
to induce relatively light and severe fire damage to the column speci-
mens in line with the fragility curves developed by [8]. The ISO 834 and 
the imposed time–temperature curves are presented in Fig. 3-a. The 
control of the furnace temperature was based on the average tempera-
ture measured by four plate thermometers (PT) located around the 
column as shown in Fig. 2-a. The peak mean gas phase temperatures 
measured by PTs at the end of each heating phase were 842 ◦C and 
1006 ◦C (standard deviations of ± 14 ◦C and ± 8 ◦C) for the adopted 
medium and long fires, respectively. After the fire exposures reached the 
time set point (30 or 90 min), the propane burners were turned off and 
the furnace was allowed to cool naturally. In the cooling phase, the 
furnace was kept closed until the interior temperature dropped to at 
least 100 ◦C. The cooling phase lasted 10 and 24 h for columns tested 
under the medium and long fires, respectively. 

The temperature of the concrete and reinforcement was monitored 

by 32 Type-K fiberglass-sheathed thermocouples installed before con-
crete casting in four sections of the column (AA’, BB’, CC’ and DD’ in 
Fig. 3-b). Of these, 11 thermocouples were placed in each column sec-
tion (AA’ and BB’) located in the maximum moment region developed 
during the cyclic tests, and 5 thermocouples in each foundation section 
(CC’ and DD’) as shown in Fig. 3-b. Thermocouples 2, 6, 9 and 10 of 
sections AA’ and BB’ and thermocouples 2 and 4 of sections CC’ and DD’ 
were attached on the longitudinal reinforcement. Thermocouples 1&7 
and 8&11 were embedded at the centre of the column surface and at the 
corners, respectively, facing towards the burner outlets at each side of 
the furnace. The remaining thermocouples were distributed in such a 
way as to measure a representative temperature profile across the 
section. 

It must be highlighted here that the columns were exposed to fire 
without any applied load (or restraint) during the furnace test. Thus, the 
effects of transient thermal creep (or load-induced thermal strain) on the 
fire behaviour and residual deformation of the columns, which would 
otherwise be present in a real fire scenario, are not reproduced with this 
setup. In a real fire, where a column is likely to be subjected to some 
eccentricity of loading and possibly non-uniform heating (unlike the 
intentionally controlled and idealised conditions of a standard furnace 
test), significant residual lateral deflections may remain upon cooling 
down in a real building. These will be largely due to the irrecoverable 
deformation of concrete during the heating and cooling stages, and may 
be relevant for the post-fire structural behaviour since they can alter the 
load path compared to the non-damaged pre-fire condition, and may 

Fig. 2. Fire test setup: a) front view; b) lateral view.  

Fig. 3. a) ISO 834 and imposed time–temperature curves; b) thermocouples location (dimensions in cm).  
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also introduce additional second-order effects [44]. Previous research 
on the fire resistance of reinforced concrete columns with sustained 
loading has not provided generalised conclusions regarding these effects 
on the structural behaviour during and after fire [45]. However, recent 
experimental studies [45] and recent advanced numerical models that 
can predict the structural response during heating and cooling with 
reasonable accuracy [46-48] are expected to provide useful insights 
towards understanding concrete column response in real fires. 

Therefore, the effects of residual deflection on a loaded fire-exposed 
column are not treated in the current paper; these are not considered 
critical for the purposes of the current study, which focuses on the 
impact of the irreversible degradation of concrete properties on the post- 
fire response to lateral cyclic loading. Mechanical degradation from 
heating of the outermost zones of the cross-section is expected to reduce 
the radius of gyration of the column’s cross-section [28] and thus reduce 
the lateral load bearing capacity and stiffness of the column under 
earthquake loading. However, the possible additional second-order ef-
fects on the seismic behaviour of the column, which may be caused by 
residual post-fire deflections, should be addressed in future experi-
mental campaigns on columns exposed to real fires, as suggested pre-
viously in Section 2.3, and ought to be considered by designers seeking 
to implement the strengthening technique presented in this paper. 

2.4. Cyclic loading test setup 

The cyclic tests were performed in a purpose-built rig constructed in 
the Structures Laboratory at Porto University for carrying-out uniaxial 
and biaxial cyclic tests on reinforced concrete columns with constant or 
varying axial loads. Fig. 4 shows the adopted test set-up arrangement, 
the idealized support and loading conditions, the adopted monitoring 
scheme and the lateral displacement path applied at the top column. The 

test rig includes a vertical 700 kN capacity actuator used to apply the 
axial compressive load and a horizontal 500 kN capacity actuator with 
300 mm stroke to apply the cyclic lateral displacements (dc). The reac-
tion system for the actuators comprises two stiff steel reaction frames. 
The column specimen and the reaction frames are fixed to the laboratory 
strong floor with pre-stressed steel bars to avoid sliding and overturning 
of the specimen or sliding of the reaction frame during testing. The axial 
load actuator remains in a fixed position during the test while the col-
umn specimen slides laterally with the help of a sliding device to 
minimize the friction effects. The sliding device consists of two sliding 
steel plates, one connected to the axial load actuator (upper plate), 
which remained fixed, and another connected to the top of the column 
(lower plate), which was free to displace laterally. A load cell in the 
horizontal direction is connected to the upper plate to measure the 
friction force that is subtracted from the force read on the horizontal 
actuator load cell. 

The axial load (N) was set to a constant value of 410 kN which 
corresponds to an axial load ratio N/Agfcm = 13.6% for the control col-
umn C, where N is the applied axial compressive load, Ag is the gross 
cross-sectional area of the column and fcm is the concrete compressive 
strength. The lateral displacements (dc) are imposed at 1.50 m from the 
foundation and each demand level cycle is repeated three times, with 
steadily increasing demand levels. This procedure is adopted to obtain a 
better understanding of the columns behaviour and allow comparisons 
between different tests. The adopted lateral load path followed the 
nominal peak displacement levels of 3, 5, 10, 4, 12, 15, 7, 20, 25, 30, 35, 
40, 45, 50, 55, 60, 65, 70, 75, 80 (in mm). The drift values are obtained 
dividing the lateral displacement by the height of the column (1.50 m). 
It is noted that the imposed lateral displacements are less than half the 
cross-section depth. This means that at all drift values the column sec-
tion remains at least partially under the vertical load actuator, resulting 

d C

Fig. 4. a) test setup; b) loading conditions idealized; c) monitoring scheme (dimensions in meters); d) lateral displacement path.  
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in a constant axial load and negligible P-Delta effects. More information 
on this test rig can be found at Rodrigues et al. [49] and Lucchini et al. 
[50]. The measurement instrumentation includes (1) fourteen potenti-
ometers to measure the local displacements at the column plastic hinge 
region, (2) four potentiometers to measure the global displacements 
along the column height, and (3) an inclinometer (located in one lateral 
face of the foundation) to measure the rotation of the column foundation 
block. The position of the potentiometers on the two opposite lateral 
faces of the column (W and E) is presented in Fig. 4-c. 

3. Fire exposure results 

3.1. Temperature evolution 

The temperature evolution within the columns during the medium 
and long fire exposure and cooling stages are shown in Fig. 5 and Fig. 6, 
respectively. These show the envelope of all thermocouple measure-
ments at each location for both cross-sections AA’ and BB’, and for both 
specimens exposed to the same fire duration (i.e. a set of eight readings 
for each of locations 1&7, 2&6, 8&11, and 9&10; and a set of four 
readings for locations 3, 4, and 5). The gas phase temperature measured 
by the controlling plate thermometers is also plotted in Figs. 5 and 6. The 
mean plate thermometer temperature coincides with the prescribed ISO 
834 time–temperature curve, whereas error bars indicate the envelope 
of the four plate thermometer measurements (a standard deviation up to 
± 38 ◦C). However, it should be noted here that the plate thermometers 
were logged by & controlled the furnace at one minute intervals, and the 
actual gas phase temperature during the first minutes of exposure may 
have been somewhat more severe compared to the prescribed curve. 
This may have also been exaggerated by the fact that plate thermometer 
measurements may display some lag during this highly transient stage of 
the fire due to the thermal inertia of their back-insulated steel plate [51], 
thus underestimating the actual gas phase temperature experienced by 
the columns in the beginning of fire exposure. This is evidenced by the 
temperature spikes measured by the embedded thermocouples at the 
corners and surface of the columns (logged at a frequency of 1 Hz) as 
shown in Fig. 5(a) and 6(a). 

At the corners (locations 1&7) and the centre of the exposed column 
face (locations 8&11), temperatures followed in general those of the gas 
phase closely. The peak average temperature at the end of the 30 min 
heating phase was 772 ◦C (standard deviation ± 41 ◦C) at the corner and 
734 ◦C ± 39 ◦C at surface centre of columns M and M− S. The respective 
temperatures for columns L and L-S at the end of the 90 min heating 
phase were 967 ◦C ± 16 ◦C and 949 ◦C ± 15 ◦C. In the concrete, 

temperatures increased at a slower rate and continued to increase even 
after the decay phase of the fire exposure had started. The temperature 
development within the core was also delayed due to the distinct plateau 
that is observed near 100 ◦C, due to the migration and evaporation of 
moisture. Following the 30 min fire exposure, the centre of the concrete 
core reached a peak temperature of 153 ◦C ± 12 ◦C after approximately 
4 h (280 min from start of the heating). In the case of the 90 min 
exposure, peak temperatures in the core reached 348 ◦C ± 27 ◦C at 320 
min from the start of the heating. Rebar temperatures reached in the 
case of the medium fire 261 ◦C ± 22 ◦C at the corners and 196 ◦C ±
14 ◦C at the middle rebar; in the case of the long fire these were 496 ◦C 
± 13 ◦C and 416 ◦C ± 24 ◦C, respectively, hence it can be assumed that 
the degradation in their mechanical properties during fire has fully 
recovered upon cooling down to ambient, since they did not substan-
tially exceed 500 ◦C [2]. It is noteworthy that although corner rebars 
have somewhat larger concrete cover than middle bars (due to the 
bending radius of the stirrup), they still heat up faster and reach higher 
temperatures due to the two-dimensional heat transfer at the corners, in 
contrast to the one-dimensional heat transfer across the section’s cen-
treline. At the end of the cooling phase when the furnace was opened 24 
h later, temperature was almost the same in all thermocouples 
(approximately 100 ◦C). 

From the temperature evolutions shown in Figs. 5 and 6, it is evident 
that relatively large discrepancies were measured between individual 
thermocouples at each location. Standard deviations as high as 175 ◦C 
were recorded for the outermost thermocouples at the beginning of the 
heating phase; for thermocouples at or near the rebar, standard de-
viations were up to 50 ◦C. No correlation was observed between ther-
mocouple locations at the two different cross-sections (i.e. with respect 
to height from the column base), thus it can be assumed that heat 
transfer in these regions is two-dimensional and the influence of the 
insulated foundation block is insignificant. The primary reason for the 
large discrepancy between thermocouples is most likely the positioning 
accuracy of their tips within zones characterised by high thermal gra-
dients. These could have been exaggerated by (even slight) displace-
ments of the thermocouple tips during concrete casting. Furthermore, 
the plate thermometer temperature variation indicates a potential 
spatial variation of temperature within the furnace (as opposed to the 
common assumption of uniform furnace temperature due to the highly 
turbulent flow of hot gases around the specimen). This could have 
caused slightly non-uniform incident heat fluxes on the columns’ sur-
faces, thus also affecting – to some extent – the propagation (and sym-
metry) of the ‘thermal wave’ within the cross-section and the 
temperature development measured by the thermocouples. However, 

Fig. 5. Temperature evolution during the 30 min fire exposure for specimens M and M− S. Envelopes and trend lines of the mean temperature are shown at the 
respective location for all thermocouples in cross-sections AA’ and BB’; (a) and (b) show the same data at different timescales. 
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the latter is only a speculation that requires further investigation and 
cannot be verified from the current test measurements. 

No significant heat penetration was observed within the insulated 
foundation block. For columns M and M− S, the measured peak tem-
peratures ranged between 73 and 79 ◦C in section CC’ and 61–72 ◦C in 
section DD’. For columns tested under the long fire, the maximum 
temperature observed in section CC’ ranged between 134 ◦C and 165 ◦C, 
whereas a similar variation was observed in section DD’, but with lower 
temperatures by approximately 20 ◦C. 

The maximum temperature measured by the thermocouples placed 
in the cross-section diagonal (from point 1 to point 7) are shown in 
Fig. 7. It is noted that Fig. 7 presents the peak temperatures experienced 
at each location throughout the whole fire exposure and cooling dura-
tion (i.e. they do not correspond to the same time point at each location, 
due to the propagating thermal wave). Linear branches were used be-
tween the discrete data points to represent the trend of the actual peak 
temperature profile. 

To quantify the actual peak temperature distribution across the 
whole cross-section of the exposed columns, a heat transfer analysis was 
performed using the finite element analysis software Abaqus FEA and 
validated against the thermocouple measurements at locations 1 to 11. 
Fig. 7 shows that the predicted peak temperatures from the heat transfer 
analysis are in good agreement with the experimental measurements. 
The distribution of the maximum temperatures experienced in the 
exposed sections during the medium and long fire are shown in Fig. 8. 
Assuming the simplistic compressive strength reduction factors pro-
vided by Eurocode 2 [5] for concrete with calcareous aggregates at 
elevated temperature, and the additional reduction factors upon cooling 
provided by Eurocode 4 [52], these temperature distributions result in 
an estimated reduction in the axial load bearing capacity of the column 
by 16.7% and 35.4% for the medium and long fire exposure, 
respectively. 

The heat transfer analysis considered a 2D quarter-symmetry model 
of the column cross-section discretised by 4-node linear heat transfer 

Fig. 6. Temperature evolution during the 90 min fire exposure for specimens L and L-S. Envelopes and trend lines of the mean temperature are shown at the 
respective location for all thermocouples in cross-sections AA’ and BB’; (a) and (b) show the same data at different timescales. 

Fig. 7. Maximum temperature profile at diagonal cross-section.  
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quadrilateral (DC2D4) elements with a size of 2 mm. Radiation and 
convection at the exposed surface were modelled in Abaqus as surface 
radiation and surface film condition interactions, respectively. The 
emissivity of concrete was taken as 0.7 and the convection factor as 25 

W/m2K, whereas the ambient temperature was specified as the respec-
tive gas phase temperature measured by the PTs in the medium and long 
fire tests. The thermal properties adopted for concrete and steel were 
those recommended in Eurocode 2 [5], assuming lower limit values for 

Fig. 8. Predicted distribution of the maximum temperatures reached within sections AA’ and BB’ during the (a) medium and (b) long fire exposures. (Quarter of the 
cross-section shown, with rebar locations annotated). 

Fig. 9. Visual appearance of specimens after fire testing.  
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the thermal conductivity of concrete and a moisture content of 5% for 
the peak value accounting for water evaporation in the respective 
function of the specific heat. 

3.2. Damage observations after fire exposure 

Fig. 9 shows the condition of the columns after opening the furnaces 
upon cooling down. After the medium fire the columns appeared only 
lightly damaged, with fine transverse and longitudinal cracks near the 
corners and moderate crazing of the cement paste all over the exposed 
column surface. Some slight discolouration of the concrete surface was 
apparent in comparison with the insulated parts of the specimen, except 
for a zone of approximately 25–30 mm around the corners, where the 
colour was distinguishably whitish-grey and the cement paste had dis-
integrated. This is due to the disintegration of the calcareous constitu-
ents of cement and the limestone aggregates at temperatures greater 
than 800 ◦C [3], whereas the extent of this zone is in agreement with the 
temperature distribution shown in Fig. 8(a). It is interesting to note that 
in practice, based only on visual inspection the columns subjected to 
medium fires do not appear badly damaged. An inexperienced building 
owner might not therefore see the need to strengthen the column post- 
fire. 

The columns that were exposed to the long fire were first examined 
immediately upon opening the furnace 24 h after the fire exposure. In 
this case, the column corners were extensively cracked over a wider 
(>100 mm) distinctly whitish-grey decarbonated zone, whereas the 
remaining of the column surface was extensively crazed and dis-
colourised. In a further inspection of the columns three days later, a 
layer of approximately 10–20 mm of concrete had flaked and popped off 
(Fig. 9-b), due to the expansive rehydration of the dissociated limestone 
aggregates and calcium carbonate constituents (i.e. calcium oxide, after 
exposure to beyond 800 ◦C) [1,2] from interaction with the ambient air. 
Furthermore, large longitudinal cracks opened at the corners up to the 
rebar level, resulting in vertical wedge-like pieces separating (and in 
some cases falling off completely) from the column. This cracking 
pattern is due to differential thermal expansion between the inner and 
outer zones of concrete and was also observed in previous studies; Lie 
et al. [26] attributed this to the ongoing expansion of inner core which is 
still heating up while the outer zones are cooling down during the decay 
phase of the fire. However, concrete fracture in this zone is also likely to 
occur during the heating stage because of the restrained expansion of the 
hot outer layers by the cooler inner core, with further mobilization of the 
fracture planes happening during cooling due to the reversal of thermal 
gradient, as well as the physicochemical changes upon cooling due to 
rehydration of the disintegrated concrete constituents described above. 
However, the exact mechanisms of cracking are beyond the scope of the 

current paper and are a subject of future numerical investigations. 

4. Repairing and strengthening of the columns 

Columns M− S and L-S were repaired by replacing the hollow- 
sounding and weak concrete layers which had been exposed to tem-
peratures greater than approximately 550–600 ◦C, with a new structural 
repair mortar as demonstrated in Fig. 10. In column M− S only the 
cracked and overheated corners of the concrete cover were removed, 
while in column L-S the whole concrete cover was removed to the depth 
of the longitudinal reinforcement. The damaged concrete was replaced 
by a R4 class structural mortar according to EN1504-3 [53] with a 
minimum compressive strength of 45 MPa. The original cross-section 
dimensions of the columns were reinstated, and the edges were 
rounded to a radius of 25 mm to increase the confinement efficiency of 
the CFRP wrap. After 3 weeks of curing, no shrinkage cracks were 
observed in the columns. In the strengthened control column C-S, the 
edges were also rounded to a radius of 25 mm before wrapping with 
CFRP. In all strengthened columns, the concrete surface was roughened 
and cleaned, and then a wet-layup CFRP fabric (300 mm width) 
impregnated and bonded with epoxy resin was used for wrapping the 
columns. 

The repair and strengthening design of the columns aimed to rein-
state the original flexural capacity of the columns and increase their 
ductility, respectively, and in so doing, improve their energy dissipation 
capacity and consequently their seismic performance. To this end, the 
columns were wrapped with three layers of a unidirectional CFRP sheet 
to their full height to increase the concrete confinement (see Fig. 10). 
The strengthening scheme was designed and detailed according to the 
Italian CNR-DT-200.R1/2013 [54] guideline. The wrapping method 
followed the same procedure already implemented in columns of beam- 
column joint specimens [55]. The CFRP sheet properties were: design 
thickness (tf) – 0.168 mm; ultimate strength (fu,FRP) – 4300 MPa; ulti-
mate strain (εu,FRP) – 1.7%; and elastic modulus (EFRP) – 240GPa. 
Considering only the confinement effect given by the three layers of 
CFRP, the confined concrete compressive strength was 43.8 MPa (+31% 
than the unconfined concrete) for column C-S. 

It should be noted that the fire performance of the FRP-strengthened 
column is not treated explicitly herein. Although this paper is concerned 
with the effects of earthquake as a subsequent hazard acting on a fire- 
damaged and repaired structure, fire remains a credible hazard for the 
columns’ extended service life after strengthening. Therefore, a verifi-
cation of the strengthened column’s structural resistance for the fire 
limit state according to relevant structural design codes [5] and guid-
ance [56,57] is also necessary. For the strengthening levels of the 
particular columns examined in this study (i.e. reinstatement of their 

Fig. 10. Repair and strengthening process.  
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original capacity after damage), the underlying reinforced concrete 
cross-section maintains sufficient capacity to resist gravity loads during 
the considered standard fire durations, even if the FRP wrap is neglected 
(i.e. it becomes ineffective in fire). In fact, the latter is a reality that 
applies in many practical design cases of FRP-strengthened concrete 
members since the actions considered in the (accidental) fire limit state 
are considered in design as being reduced when compared to those of the 
ultimate limit state at ambient temperature; for most buildings, load 
ratios (member utilisation ratios) are typically less than 0.5 [58]. It is 
noteworthy that, in case the unstrengthened column’s capacity is 
insufficient to meet the fire resistance requirements for increased 
imposed loads after strengthening, supplemental insulation [59,60] or 
novel hybrid strengthening/fire-protecting composite systems [61] can 
be installed to improve fire performance following the design philoso-
phy for structural fire resistance outlined in [56,57]. 

5. Cyclic test results 

5.1. Lateral force vs drift 

The effect of previous fire on the cyclic performance of the columns is 
evaluated by direct comparison between the results obtained in the 
cyclic tests of the fire damaged columns (M and L) with the control 
column (C) as shown in Fig. 11-a,b. In the case of the 30-minute fire 
exposure, the cyclic behaviour of column M shows a reduction in initial 
stiffness but a similar peak force and ductility as the control specimen. In 

the case of the 90-minute fire, a reduction in initial stiffness as well as a 
significant reduction in peak force and column ductility are observed in 
column L as compared to the control specimen. The repaired and 
strengthened columns, M− S and L-S, show similar lateral peak force, 
lower initial stiffness and a significantly larger deformation capacity as 
compared to the control column C (see Fig. 11-b,c). This demonstrates 
that the repair and CFRP wrapping were efficient in minimising the ef-
fects of previous fire damages and in improving the cyclic deformation 
and energy dissipation capacity of the columns. 

The strengthened columns with fire damage (M− S and L-S) reached 
lower peak loads and had lower initial stiffnesses than the strengthened 
control column (C-S) (see Fig. 12). The unloading–reloading stiffness, 
and consequently the pinching effect, is similar for all the strengthened 
columns. 

The envelopes of the cyclic lateral load–displacement relationships 
are plotted in Fig. 13 and more clearly show the larger initial stiffness of 
the control columns when compared to the fire damaged columns. The 
figure also shows that all repaired and strengthened columns had higher 
deformation capacity and a more ductile behaviour than the non- 
strengthened columns. 

Table 3 presents the results of the cyclic test main values (for positive 
direction), including the peak lateral force Fc,max, the drift at peak force 
dc,max, the ultimate force Fc,ult, the drift at ultimate force dc,ult, the drift at 
yield drifty, and the displacement ductility at ultimate point μΔ,ult. The 
ultimate point is conventionally taken as the point at which a strength 
drop of 20%, relative to the maximum force Fc,max, is observed as 

F C

dC

F C

F C

dC
F C

F C

dC

F C

F C

dC

F C

Fig. 11. Lateral load–displacement relationship: a) C and M; b) C and L; c) C and M− S; d) C and L-S.  
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adopted by Park and Ang [62]. The yield displacement was determined 
assuming the elastic-perfectly plastic force–displacement relationship 
according to Annex B.3 of EC8-1 [63]. For each column, an elastic- 
perfectly plastic relationship was fitted to the experimental lateral 
load – displacement envelope up to the ultimate point, ensuring the 

following requirements were satisfied: (i) the areas under and above the 
experimental envelope curve must have the same values; and (ii) the 
area under (or above) the envelope curve is the lowest possible [64]. The 
displacement ductility at ultimate point is the ratio between the ultimate 
drift and drift at yield. The strength reduction after peak observed in 
column L-S was only 6.5% and was limited by the capacity of the test rig, 
hence, for this column the conventional ultimate point was not reached. 

Similar values of Fc,max were observed in columns C and M. Instead, 
columns L, C-S, M− S and L-S achieved –23%, +10%, +2% and − 2% of 
the Fc,max of column C, respectively. The Fc,max of columns M− S and L-S 
were − 7% and − 11% of that of column C-S. Therefore, the effect of 
previous fire damage, in terms of peak force, were only evident in col-
umn L and the adopted strengthening technique was able to re-instate 
the original peak strength. The differences in displacement ductility 
between column C and columns M, L, C-S and M− S were − 44%, − 66%, 
+79% and +8%, respectively. The fire damage significantly reduced the 
displacement ductility capacity of the columns, namely from 7.4 

F C

dC

F C

F C

dC

F C

Fig. 12. Lateral load–displacement relationship: a) C-S and M− S; b) C-S and L-S.  

F C

dC

F C

Fig. 13. Lateral load–displacement envelopes.  

Table 3 
Force and drift values at peak, drift at ultimate point, drift at yield and ductility 
at ultimate point.  

Column Fc,max (kN) dc,max (%) Fc,ult (kN) dc,ult (%) drifty (%) μΔ,ult 

C  69.4  1.2  55.5  2.8  0.38  7.4 
C-S  76.1  1.3  60.9  4.9  0.37  13.2 
M  69.7  1.6  55.8  2.7  0.65  4.2 
M− S  71.0  1.9  56.8  5.1  0.64  7.9 
L  53.2  1.7  42.6  2.4  0.96  2.5 
L-S  67.7  3.3  –  –  0.82  –  
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(column C) to 4.2 for column M and 2.5 for column L. The ultimate drift 
and displacement ductility at ultimate point observed in the strength-
ened columns were considerably larger (almost double) than those of the 
control column C. This demonstrates the efficiency of the CFRP wrap-
ping for increasing the deformation capacity of the columns and 
decreasing the softening effect. 

The strength degradation-drift between the first and second cycles of 
each drift level, and between the first and third cycles of each drift level 
are shown in Fig. 14. The strength degradation follows two different 
trends: (1) the columns without CFRP wrapping show an increasing 
strength degradation for large drift demands, while (2) in the 
strengthened columns the strength degradation is almost a constant 
value (average of 1.8% for SD1-2 and 3.3% for SD1-3) up until 4% drift, 
and then increases significantly. 

As observed in Fig. 13, fire exposure influences the stiffness of the 
column, especially in column L, due to the degradation of concrete 
modulus and strength in the outermost regions of the cross-section. The 
secant stiffness-drift relationship is presented in Fig. 15, where secant 
stiffness (K) is calculated dividing Fc,max by dc,max (converted to 
displacement) for the first positive displacement at each displacement 
level (Fig. 4). As expected, columns C, and C-S present the largest initial 
stiffnesses, as they sustained no fire damage. However, column L-S 
where the damaged concrete cover was totally replaced by structural 
repair mortar, also shows a comparably large stiffness. The initial stiff-
ness of columns M and L are only 75% and 40% of the one observed in 
the control column C. After 1% drift the secant stiffness evolution is 
almost coincident in the strengthened columns and is significantly lower 
in column L. 

5.2. Dissipated energy evolution 

The evolutions of the total hysteretic dissipated energy with 
increasing drift for the columns are shown in Fig. 16. The dissipated 
energy evolution is computed as the sum of the energy dissipation 
associated to each hysteretic cycle and corresponds to the interior area 
of the force–displacement loops. The cumulative hysteretic dissipated 
energy values at the ultimate drift are distinctly marked in Fig. 16 and 
for columns C, M, L, C-S and C-M, were respectively 53.7 kNm, 45.1 
kNm, 25.0 kNm, 175.5 kNm and 187.7 kNm. Columns M and L dissi-
pated 16% and 53% less energy than the control column C up to the 
ultimate drift and columns C-S and M− S dissipated 227% and 250% 
more energy than column C. Therefore, the fire induced damage de-
creases the energy capacity of the columns. On the other hand, the CFRP 
wrapping increases significantly the dissipated energy capacity for cy-
clic lateral loading. 

5.3. Observed damage 

The observed damage at the end of each column cyclic test is illus-
trated in Fig. 17. Only damage associated to bending in the plastic hinge 
region is observed, namely: flexural concrete cracks, concrete cover 
spalling, buckling of the longitudinal reinforcing bars and concrete 

Fig. 14. Strength degradation: a) between cycles 1 and 2; b) between cycles 1 and 3.  

Fig. 15. Secant stiffness evolution.  

Fig. 16. Dissipated energy evolution.  
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failure in compression. Buckling occurred due to the poor confinement 
associated to the large stirrup spacing. In column C the cracks were 
spread along the column to a height of 60 cm from the foundation, with 
concrete cover spalling and the buckling of reinforcing bars occurring at 
the base of the column. In column M the concrete cracks extended over a 
shorter length (50 cm from column base) and the concrete spalling was 
greater than in column C. In column L it was not possible to identify the 
concrete cracks due to the irregularities and fire damage on the concrete 
faces, however concrete spalling was observed, the longitudinal rein-
forcing bars buckled and the concrete was observed to fail in compres-
sion due to cross section concrete loss (concrete cover and core crushing 
during the cyclic loading) and axial load. In the strengthened columns it 
was not possible to observe the damage due to the CFRP wrapping, apart 
from the visible bulging of the wrap due to the large compressive strains 
(and possibly, the restrained buckling of the middle rebar) at high 
rotations. 

6. Conclusions 

An experimental campaign on six full-scale reinforced concrete 
specimens, representative of existing columns, was carried out to assess 
the seismic behaviour of these elements post-fire and after strengthening 
post-fire. The fire tests were performed in a furnace following the ISO 
834 fire curve up to 30 or 90 min and then allowed to cool. Half of the 
specimens were repaired and strengthened with CFRP wrapping to 
improve the concrete confinement and consequently increase the col-
umn ductility capacity for uniaxial lateral cyclic loading. Based on the 
experimental results, the following conclusions can be drawn:  

• The medium fire exposure (30 min) resulted in moderate damage to 
the columns limited to the corners of the concrete cover. On the other 
hand, after the long fire exposure (90 min) extensive cracking and 
disintegration of the whole concrete cover was observed.  

• The post-fire cyclic behaviour of column M showed a lower initial 
stiffness when compared with the control specimen C but sustained a 
comparable peak force. However, in column L significantly lower 
initial stiffness, peak force and ultimate displacement were observed. 
Consequently, the displacement ductility of columns M and L was 
respectively 44% and 66%, lower than the control column C, 
whereas the respective reduction in dissipated energy was 16% and 
53%. This shows that the cyclic response of column L was severely 
compromised by the long fire, which justifies the need for the column 
to be strengthened after the fire.  

• Columns M− S and L-S, which were repaired and strengthened with 
CFRP wrapping after fire, showed better cyclic performance than the 
control column C, once the cumulative energy dissipation was 227% 
and 250% greater than column C, respectively.  

• The repair and strengthening method studied herein is demonstrated 
to improve the cyclic behaviour of the columns after a medium (30 
mins of ISO-834) or long fire (90 mins of ISO-834) and it can result in 
a significantly improved seismic response even compared to the 
undamaged original column. It is also shown that the post-fire 
strengthened columns can achieve a similar seismic performance 

than an analogous strengthened column without previous fire 
damage. 

This paper contributes to the state-of-art by adding to the few 
experimental data currently available on the post-fire seismic behaviour 
of RC elements. Moreover, it presents innovative experimental data of 
post-fire strengthened RC columns tested under lateral cyclic loading. 
Future work will use these experiments to validate numerical models of 
RC structures subjected to sequential fire and earthquake loads. 
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